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Collapse Resistance of Moment Resisting Frame and Shear Wall RC Structural Systems
Exposed to Blast

Alaa I. Chehab, A.M.ASCE?; Christopher D. Eamon, M.ASCE?; and Joshua Griffin®

Abstract

Various characteristics of a structure influence its response when subjected to a blast load. This
has important implications for survivability and resistance to progressive collapse. In this study,
the effect of the type of lateral load resisting system on reinforced concrete building resistance to
progressive collapse when exposed to blast load is examined. Fourteen different reinforced
concrete structures were considered for analysis, with five structures designed as moment
resisting frames and nine designed as shear walls systems. Buildings with 3, 6, and 10 stories
with 3, 4, and 5-bay symmetric configurations were considered. The structures were exposed to
external and internal charges, while the nonlinear, transient dynamic analysis of collapse
behavior was investigated with a finite element based approach, the applied element method
(AEM). The results show that the shear wall structures and structures larger in height and plan

generally provide greatest resistance to blast damage and progressive collapse.
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Introduction

Progressive collapse refers to the phenomenon where failure of a structural component
causes or contributes to the collapse of adjoining members, which then causes additional collapse
of the structure (GSA 2003). Since the events of 9-11, various research studies have been
undertaken to further examine extreme load events and to suggest how corresponding damage
may be mitigated. From these efforts, several analyses and design guidelines to improve
structure resistance to progressive collapse have been developed (ASCE 2010; GSA 2003;
USDOD 2005). Of the research work available, some focused specifically on modeling the
World Trade Center events (Bazant and Zhou 2002; Wierzbicki and Teng 2003; Lynn and Isobe
2007), while others evaluated the effectiveness of different blast modeling approaches in general
(Powell 2005; Li and Shi 2008). Approaching this issue from a probabilistic perspective and
considering the interaction of other extreme loads, Asprone et al. (2010) proposed a probabilistic
model for multi-hazard risk associated with the limit state of collapse for a generic four story
reinforced concrete structure, subjected to blast in the presence of seismic risk. Later, Malaga-
Chuquitaype et al. (2016) investigated the influence of secondary frames on the mitigation of
collapse in steel structures subjected to earthquake and blast scenarios, as well as localized fire

and blast hazards.

A larger number of research efforts studied idealized buildings of steel or reinforced
concrete from a deterministic approach. Among the existing studies of steel moment frame
structures, Grierson et al. (2005), Zhang et al. (2010) and later Korol et al. (2011), presented a
progressive collapse analysis, while Hamburger and Whittaker (2004) found that frames might
resist collapse by redistributing loads to adjacent columns. The performance of steel braced

frames that were subjected to sudden removal of a first story column was investigated by Kim et
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al. (2008), while a similar analysis was presented by Gross and McGuire (1983). Alashker and
El-Tawil (2011) discussed the use of calibrated macro-models to model progressive collapse, and
a design-oriented model was proposed for computing the load resisting capacity of composite
steel-concrete floors subjected to interior column loss. They concluded that the macro and micro

models produced similar collapse response.

Various studies considered the analysis of reinforced concrete structures as well.
Nonlinear pushover analyses (nonlinear static procedure) of reinforced concrete walls coupled by
steel beams have been discussed (EI-Tawil et al. 2002). Several investigated the behavior of the
structure when exposed to an explosion near ground level (Almusallam et al. 2010; Xu and Liu
2009), while Sasani et al. (2011) used experimental data and analytical results to evaluate the
progressive collapse resistance of an actual building that followed severe initial damage. Rather
than simulate an explosion, others simply instantaneously removed ground floor columns to

study the potential effect of severe damage (Sasani and Sagiroglu 2008; Hong et al. 2006).

The studies above provide a relatively small but significant body of knowledge regarding
progressive collapse under extreme blast load events. Although both steel and reinforced
concrete structures were considered, the existing research has been limited to moment resisting
and braced frame buildings, whereas structures that use shear walls for lateral load resistance
have not been considered in detail. However, this type of system may in fact display a
significantly different performance when exposed to blast loads than frame-type buildings. For
example, on January 25, 1971, while under construction, the floor slabs of the 16 story 2000
Commonwealth Avenue building in Boston, MA failed, resulting in a progressive collapse of
approximately 60% of the building. However, the progressive failure stopped at the location of

the shear walls surrounding the elevator core, saving the remaining portion of the building
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(Granger et al. 1971). This type of behavior is generally not seen with similar moment frame
and braced frame buildings. However, the typical differences in behavior for these structures
exposed to blast loads are currently not well quantified. Thus, the objective of this study is to
investigate the difference in progressive collapse performance between a selection of reinforced
concrete structures with shear walls systems and corresponding structures with moment resisting

frames when exposed to blast loads.

Structures Considered

Two sets of hypothetical structures were designed according to American Concrete
Institute (ACI) 318-11 Code Standards, where one set was designed to resist the lateral loads
using a moment resisting frame (MRF), and the other using a shear wall system. The buildings
were assumed to be located in Detroit, Michigan, and design loads were determined according to
ASCE 7-10 for office building occupancy, resulting in a dead to live load ratio of approximately
1.5:1. As load combinations involving seismic loads were found not to govern, wind loads were
used for lateral design and were determined with the directional procedure. As no special
seismic detailing was required, the structures were designed as ordinary moment frames and
shear walls that satisfied general ACI 318 reinforcing requirements for continuity and structural
integrity. Three building geometries were considered for analysis; symmetric 10 story structures
with either 3x3, 4x4, or 5x5 bays, where all columns are spaced at 6.1 m. Additional 4x4
structures of 3 and 6 stories were also designed to examine the effect of building height, as
discussed below. In all structures, the first floor height is taken as 4.3 m and the remaining floor
heights are 3.7 m, with slab thickness of 180-200 mm. Slab reinforcement is taken as #5 (15.8
mm) bars with 25.4 mm cover. Columns are 355 (3 story buildings), 460 (6 story buildings), and

560 mm (10 story buildings) square and are taken to have fixed supports on the ground floor. As
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necessary to meet code strength requirements, total column longitudinal reinforcement area
varied, where #6 (19 mm), #7 (22.2 mm), or #8 (25.4 mm) bars were used with 50 mm cover.
Stirrups consisted of #3 (9.5 mm) bars. Shear wall thickness is taken as 300 mm with #4 (12.7
mm), #5 (15.8 mm), or #8 (25.4 mm) reinforcing bars, as required, with 50 mm cover. Concrete
strength is taken as 28 MPa, while reinforcing steel yield strength is taken as 414 MPa. The
resulting structures are shown in Fig. 1, where column and shear wall locations are indicated on

the top floor.

Numerical Model

Structures were modeled with the fully nonlinear, large strain, large displacement finite
element-based blast analysis code ELS, which is described elsewhere (ASI 2010; Meguro &
Tagel-Din 2002). With the approach implemented in ELS, the ‘applied element method’(AEM),
elements are connected by a series of springs on element surfaces, where one normal and two
shear springs (one in each direction) are located at each surface contact point, as shown in Fig. 2-
a. Spring stiffness varies as a function of stress or strain as given by the material model, and
once a specified failure criterion is reached, as discussed below, the springs release element
connectivity, which allows efficient simulation of material softening and fracture along element
lines. When contact occurs between elements, linear springs are generated at contact points to

transfer energy between elements.

For concrete, the Maekawa elasto-plastic and fracture model (Maekawa and Okamura
1983) is implemented, as shown in Fig. 2-b. In this model, Young’s modulus, the fracture
parameter (which defines the extent of existing damage, as a function of the load history), and
the current plastic strain are used to define the compressive stresses-strain relationship. Although
represented simply as a uniaxial stress-strain relationship in Figure 2-b for illustration, the

5
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softening behavior of the concrete is governed by the resulting multi-axial stress state caused by
the combination of normal and deviatoric stresses imposed on the element. That is, the state of
stress and resulting damage caused by an interaction of axial, shear, and flexural deformations

are implicitly accounted for in the model. For the 27.6 MPa compressive strength ( f', ) concrete

considered, modulus of rupture ( f. ) was taken as 2.6 MPa and modulus of elasticity as 24,800

MPa, while shear modulus (G) was taken as 9,650 MPa. These material properties are
summarized in Table 1. When concrete is subjected to tension, stiffness is taken as the initial
stiffness until the cracking point is reached, at which point the effected spring(s) joining adjacent
concrete elements are released. If separated element surfaces contact, the connective springs are
regenerated (with zero tension strength). This unloading and reloading behavior is illustrated in
Fig. 2-b. Shear behavior is considered linear until cracking strain (as calculated from principle

stress) is reached.

Strain rate strengthening is frequently accounted for by imposing an empirically
developed curve that adjusts strength based on rate of strain (see, for example, Eamon et al.
2004). However, in AEM, an alternative approach was implemented. In this method, Poisson’s
ratio is lowered to zero under high strain rates, preventing the lateral expansion of the material
and corresponding creation of lateral cracks (i.e. element separation), essentially strengthening
the material under high rates of strain. As detailed by Tagel-Din (2009), this approach was
shown to have good agreement to the traditional strain rate curve approach as well as to
experimental data.

Steel reinforcing bars are modeled explicitly with spring (i.e. bar) elements, in which the
nonlinear stress-strain response described by Ristic et al. (1986) governs behavior (Fig. 2-c).

Tangent stiffness is calculated based on the state of strain, loading/unloading status and the
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previous load history, which controls Bauschinger's effect, where rupture is reached once the
normal stress is equal to or greater than the ultimate stress of the steel material. The yield and

ultimate stresses for steel reinforcement were taken as f, = 414 MPa and f, = 538 MPa,

respectively. The steel modulus of elasticity was set equal to 200,000 MPa, with shear modulus

of 11,000 MPa. Steel material properties are summarized in Table 1.

Often in practice, constraints related to the project schedule, budget, or available
computational resources may not allow the blast event and its corresponding pressure-time
history to be directly modeled. As such, it is common practice to simply remove a member from
the structure to simulate its loss of load-carrying capacity under blast. As noted above, although
some studies simulated blast effects in this manner and loaded the resulting structure only with
gravity loads, initial analyses conducted for this study found significant differences in structural
response between column removal and failing the same column with blast pressure. Specifically,
for several structures it was found that a complete collapse resulted when a blast pressure was
applied, while no collapse resulted when the same columns were simply removed. In these
cases, this difference occurred because the blast load also damaged members near the removed
columns as well, significantly weakening the adjoining beams and slab in some cases. Using an
assumed spherical (i.e. non-directional) blast charge, it was generally found to be very difficult,
if not impossible, to apply sufficient blast pressure that would remove the members of interest,
but yet leave adjacent members relatively undamaged from the blast. Therefore, all collapse
analyses for this study were initiated using blast pressure. Here, a simplified blast model was
used where blast pressures resulting from a spherical TNT charge are calculated using the free-
field wave equation based on TM5-1300 (Departments of the Army, Navy, and Air Force 1990).

The explosion was taken as an unconfined surface burst, since the detonations were located
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outdoors and close to the ground (taken approximately 1 m above ground in all analyses), so that
the initial shock is amplified at the point of detonation due to the ground reflection. In this case,

where the charge height (Z_) is less than twice the charge radius (R, ), the charge radius is

calculated for a spherical shape as:

R, =3/3w/4Tllpy, 1)

where the charge weight (w) is multiplied by a magnification factor,
M, =20-2_/05R, ()

Here, the TNT charge density (o ) is taken as 1650 kg/m?®. The air is considered an
ideal gas at sea level and the atmospheric pressure (P,) =101,325 Pascal. Based on the charge

weights selected (see below), an external blast effect sufficient to cause two adjacent ground
floor columns to fail in each model was considered. This was found to be equivalent TNT
weights of approximately 340, 590 and 700 kg for the 3, 6, and 10 story buildings, respectively.
That is, all structures of the same height, both shear wall and MRF, were exposed to the same
charge weight for consistent comparison. This resulted in nearly all of the structures considered
(10 story) being exposed to the same equivalent TNT weight of 700 kg. However, for the two 3
and 6 story structures considered, charge weights were reduced because the initial 700 kg charge
would have resulted in complete destruction of these smaller buildings, due to their substantially
lower column capacities, and no difference in performance between MRF and shear wall
buildings would be obtainable. It should be noted that the use of different charge weights for
these smaller buildings likely corresponds to a different probability of occurrence than for the

larger charge weight applied to the 10 story structures, and thus comparisons of safety cannot
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directly be made between structures of different heights. In this blast model, blast pressures are
applied to element surfaces that have a direct line of sight with the TNT charge. It should be
noted that the main purpose of the blast analysis was to produce an extreme load that allows
reasonable comparison of the response of different structures to possible progressive collapse,
rather than to simulate the blast event itself in great detail. Thus, to ease numerical
implementation of the comparison, various blast load simplifications were implemented. In
particular, the effects of temperature, suction pressure, blast wave reflections on the structure,
explosive casing (bare TNT weight only considered), and possible ground motion were
neglected. Moreover, all structures are assumed to have a nonstructural facade that is destroyed
upon blast impact, before significant additional pressure can be distributed to the structural
system. In accordance to the recommendations in USDOD 2002, during the blast load event, the
service dead load and 50% of the service live load were applied to the models as lumped masses

added to the slabs.

The resulting models ranged in size from approximately 55,000-117,000 rectangular solid
elements, and were solved using a time step increment of 0.0001 s during the blast stage. For the
first two levels of the models, element edge lengths varied from 9-12 cm for columns, 14-20 cm
for beams, and 18-30 cm on slabs. For the upper stories, a more coarse mesh was used, with
element sizes approximately doubled. Similarly, wall element dimensions ranged from 15-37
cm. It was found that the use of a finer mesh resulted in differences in localized fracture
patterns, but produced no significant differences in global response, the concern of this study,
and thus was not computationally justified. That is, since in the AEM approach, as cracks may
only develop and propagate along element boundaries, increasing the number of elements may

result in the development of different crack patterns. For example, in some cases, increasing
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element density results in a larger number of smaller cracks as opposed to a small number of
large cracks. Although several alternative crack patterns may sufficiently capture component
behavior to accurately model the response of the overall structure, as was found in this study, the
crack pattern that results from a more coarse mesh may be insufficient to model phenomenon at a
smaller scale (crack geometry, local damage pattern on the component, accurate assessments of

curvature and deflected shape, etc.)

A smaller time step increment of 0.00001 s was also considered, and was found to
produce slightly larger force effects on the structure during the blast stage. However, it was
determined that the excessive additional computational effort required for this smaller time step
was similarly not justified for this study, as relative differences in performance between the
different structures considered were unchanged. Each analysis required approximately 32-54

hours of CPU time on a 2.3-GHz quad-core CPU with 8 GB of RAM.

Verification Cases

Experimental verification of the collapse behavior of full-scale, actual buildings
subjected to blast is challenging, as few experimental subjects exist. However, in this study, for
validation, the analysis approach was used to model the progressive collapse of two actual
reinforced concrete buildings subjected to explosive demolition. These structures are the
Crabtree Sheraton Hotel located at Raleigh, NC (May, 2006) and Stubbs Tower located at
Savannah, GA (December, 2007), for which the structural plans and demolition video footage
were obtained. The Crabtree Sheraton Hotel was a 10-story (30 m high) building in a 3 x 9 bay
rectangular plan configuration (total plan dimensions 18 m x 36 m) with a two-way flat plate

floor system (1800 mm thick). The Stubbs Tower was a 15 story (45 m high) building

10
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constructed using two types of loadbearing systems; a column and girder concrete frame system
for the first floor and load bearing concrete walls for the remaining floors. The building was
structured in a 3 x 16 bay configuration (19 m x 56 m total plan dimensions). Both structures
were modeled using the numerical technique discussed above. It was found that the analytical
simulations well-matched the progressive collapse behavior of both structures, as shown in Figs.
3and 4. In Fig. 4, vertical displacements were measured from the available video footage of the
collapses at the points (V) as indicated in Fig. 3. Therefore, the method was considered
sufficiently accurate for the modeling purposes of this study. Other researchers have had similar
success with the AEM approach for modeling collapse behavior as well (Kernicky et al. 2014;

Salem et al. 2014; Salem 2011; Keys and Clubley 2013; Lupoae et al. 2013).

Results
Moment Resisting Frame Structures

As the objective of the study is to compare the collapse behavior of different structures
subjected to a similar level of damage, for all external blast analyses, the charge position was
selected such that two adjacent exterior columns just failed. For all structures, this was
approximately 1 m away from the face of the structure, centered between the two central
columns, as shown in Fig. 5. With the charge in this position, approximately four seconds after
the blast, the 3x3 MRF structure experienced a complete progressive collapse, as shown in Fig.
6. Note that, beyond 4.0 s (not shown), all floors of the structure eventually collapsed to the

ground.

As shown in Fig. 6, the blast first resulted in collapse of the floor slab in the bay adjacent

to the charge, which failed from the uplifting blast pressure. Next, the two columns closest to the

11
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blast (C2 and C3 in Fig. 7) failed in bending caused by the blast pressure as well as a large
increase in moment caused by the axial gravity loads, which became increasingly eccentric to the
deformed column mid-section. Once these columns failed, the remaining columns quickly
followed. Studying the changes in column forces as a function of time, as shown in Fig. 8, it can
be seen that columns C6 and C7 were also directly affected by and failed in bending from the
blast pressure, at a slightly delayed time, while columns C1, C4, C5 and C8 failed primarily in
compression (actually due to combined compressive and bending effects, but axial compression
was greatly dominant) due to redistribution of the gravity loads. This is evident at t=0.3 s in Fig.
8, where the axial loads in these columns greatly increased once columns C2, C3, C6, and C7
lost axial load carrying capacity (i.e. where axial force becomes approximately 0 at t=0.4 s in
Fig. 8). Note that, the design axial capacity (nominal capacity reduced by the appropriate
resistance factor) for exterior columns C1, C4, C5, and C8 is approximately 4,497 kN, while
maximum axial loads on these columns varied from 1,780 kN to 4,890 kN at any time in the
analysis. However, the interior columns (C6, C7, C10, and C11) have higher design axial
capacities of approximately 4,640 kN. Thus, although columns C10 and C11 carried larger
amounts of (redistributed) axial load (Fig. 7 at t=2.05 s) they did not fail first because their axial

capacity is higher than the adjacent exterior columns.

The failure times for columns C5, C1, C4, and C8 occurred approximately at 1.2 s, 1.85
s, 2.05 s, and 2.2 s, respectively, as shown in Fig. 8, where large, abrupt decreases in axial force
in the column occurs. These failure times correspond to the times for which the axial force
diagrams are constructed in Fig. 7. An examination of column moments indicates that bending
moment was not a main reason for the failure of most columns (exceptions: C2, C3, C6, and C7,

which were closest to the blast), since the moment capacity was generally not exceeded in the

12
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analysis. For example, for columns C1, C4, C5, and C8, the moment capacity is approximately
270 kKN-m, while maximum moments on these columns did not exceed 136 kKN-m during the

analysis.

For the corresponding 4x4 MRF structure, approximately 2.5 s after charge detonation, a
major progressive collapse occurred, as shown in Fig. 9-c. The collapse behavior for the 4x4 and
3x3 MREF structures was similar, where axial loads carried by damaged columns nearest to the

blast were redistributed to the remaining columns, causing progression of the collapse.

Considering the 5x5 MRF structure, approximately 4 s after charge detonation, severe
local damage near the blast location occurred (slab and column failure), but the structure did not
collapse, as shown in Fig. 10. Similar to the 3x3 structure, once a local failure occurred, a more
extensive redistribution of axial loads followed throughout the 5x5 frame due to the greater
number of available members. Although the members furthest away from the blast received
relatively little load, this surrounding structural system was an important influence on overall
system behavior. These surrounding members not only reduced the redistributed axial loads
further, but also provided additional constraint and stability for the most heavily loaded portions

of the structure, preventing progressive collapse.

In this structure, the time-displacement curve of a point at the top of the most severely
damaged column (C3) shows that the maximum downward vertical (Z) displacement was
approximately 127 mm at t=2.9 s. After t=2.9 s, no significant additional vertical displacement
occurred, as shown in Fig. 10. The horizontal displacement in the direction parallel to the blast
direction (X) shows the structure vibrating with a period of approximately 1.5-2 s, while the
horizontal displacement perpendicular to the blast (Y) shows no significant motion after column

C3 failed (due to blast). These small changes in horizontal and vertical displacements after the

13
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failure of Columns C2, C3 and C4 indicate the sustained stability of the structure. Columns just
adjacent to the failed columns (C2, C3 and C4) carried the majority of the redistributed axial
forces from the failed columns, but as noted above, the larger number of members surrounding
the damaged columns allowed for successful load redistribution and continuing stability.
Overall, as expected, the analyses of the three MRF structures indicate that increasing the
number of bays results in a more successful redistribution of axial loads over the remaining

stable structure components once a local collapse has been initiated.

Shear Wall Structures

For the 3x3 shear wall structure, after running the analysis for approximately 5.0 s, a
major progressive collapse resulted. However, the remaining shear wall core remained stable, as

shown in Fig. 11.

The axial forces carried by the major structural components are given in Fig. 12. As
shown, the shear walls carry approximately 54% (27,179 kN) of the total axial load (50,265 kN)
at t=2.0 s. Clearly, they have a significant influence on axial force distribution. During the
analysis, columns C1, C2, C3, and C4 failed first, then, as shown in Fig. 13, the failure of
columns C6 and C7 occurred simultaneously with the partial failure of shear wall S1 at
approximately t=1.8 s (due to direct blast pressure). The failure of these components then
increased the axial loads on the remaining shear walls S2, S3 and S4, which occurs at
approximately t=1.8 s in Fig. 13. At approximately t=2.5 s, the impact of the falling slabs with
the damaged shear wall S1 (Fig. 11) caused a large increase in the axial force in shear wall S3 as
S1 failed completely, while simultaneously, shear walls S2 and S4 experienced a large decrease
in axial force, as shown in Fig. 13. This occurs because the impact of the floor slabs into the
shear wall tower was accompanied by a large lateral (impact) load. Conceptually, after the

14
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failure of S1, the remaining shear wall structure acted similar to a cantilever beam, fixed at
ground level, with a U-shape in section, where S3 acted as the compression flange and S2 and S4
as the tension webs. However, the remaining shear walls remained stable after t=5.0 s in the
analysis, since the failure of the slabs also resulted in removal of the axial loads that they had

previously transferred to the shear walls.

For the 4x4 shear wall structure, in approximately 4.5 s, a progressive collapse of about
50% of the structure occurred, but the collapse stopped at the location of the shear walls. Here,
the shear walls provided the structure with significant stability, as shown in Fig. 14. In this
structure, the floor slabs in the bays adjacent to the charge first failed from the uplifting blast
pressure. Simultaneously, the closest columns to the charge (C1-C4 and C7) failed in bending
caused by the blast pressure. Once these exterior columns failed, the floor slabs which they
supported toppled onto adjacent first floor columns, causing their failure (see t=2.5 s in Fig. 14).
However, progressive collapse of the floor slabs was halted at the location of the shear walls,

preventing failure of the remaining columns.

In addition, the shear walls were able to carry a significant portion of the axial load that
was previously carried by the damaged columns. The axial force curves in Fig. 15 show how the
shear walls (S1, S2, S3 and S4) and the columns (C8, C12, C14 and C18) at the ends of the shear
walls shared the axial loads in a way that reduced excessive axial loads on these columns. For
example, from t=0.3 s to approximately t=0.75 s, as the structure sways, we can observe that S1,
S4, C8 and C12 (Group 1) are subjected to an increase in axial loads, while S2, S3, C14 and C18
(Group 2) are subjected to a decrease in axial loads. This behavior is reversed after t=0.75 s,
where Group 1 components are subjected to a decrease in axial loads, while Group 2 components

are subjected to an increase in axial loads. Clearly, the columns and shear walls act efficiently

15
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together as two distinct groups of components, sharing the axial loads. The sway of the shear
wall core can be seen more clearly in Fig. 16, where walls and columns facing the blast (walls
S1, S4 and columns C8, C12) have highest compression at the times when walls and columns

opposite the blast (walls S2, S3 and columns C14, C18) have lowest compression.

For the 5x5 shear wall structure, although a collapse began upon detonation, similar to
the other shear wall structures, the progressive collapse stopped at the shear walls, as shown in
Fig. 18-b (at t=5.0 s). The behavior of the shear walls of the 5x5 model was very similar to that
of the shear walls of the 4x4 model. In both models, the walls carried a significant amount of
axial load, which reduced the magnitude of the redistributed axial loads to the columns adjacent
to those that failed. This resulted in halting the progression of the collapse. Moreover, a
secondary effect of the presence of the shear walls is that they contributed significantly to aid in
blocking falling debris and slabs from striking and damaging the remaining stable components of

the structure.

Effect of Building Height

To examine the effect of building height on collapse performance, the 4x4 structure was
redesigned with 3 and 6 story configurations, where column and shear wall capacities were
altered as discussed above. It was found that as building height decreased, overall collapse
behavior was similar to that of the 10 story structures, as shown in Figs. 9, 17-a, and 17-b.
However, the charge weight needed to fail two exterior columns, and correspondingly initiate
collapse, decreased for the lower height buildings. For the 3 story building, a charge weight of
340 kg, approximately half that needed to initiate collapse of the 10 story building, resulted in
total collapse. For the 6 story building, a charge weight of 590 kg was required to initiate

collapse. Such results are not unexpected, since ground floor column capacity decreases with
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decreasing building height. Quantitatively, it was found that the ratio of charge weights needed
to fail the different height structures fell within the ratio of column capacities for axial force and
moment. Specifically, for the 6 story building, the ratios of: a) column nominal axial capacity to
that of the 3 story structure, followed by b) charge weight needed to fail the buildings, and c)
column nominal moment capacities, are: (1.2, 1.7, 3.0). Similarly, ratios for the 10 story to the 3

story structure are: (1.8, 2.1, 3.6).

It should also be noted that as height increased, a slight delay in the collapse progression
occurred. As shown in Figs. 9, 14, and 17, the rate of collapse progression was highest and
lowest for the three and ten story structures, respectively. For example, in Fig. 9, two stories of
the 3 story structure partially collapsed at the same time (1.5 s) that 1 story of the 6 story

structure and no stories in the 10 story structure partially collapsed.

Effect of Shear Wall Location

To study the effect of shear wall location, two additional configurations were considered
for the 4x4 and 5x5 10 story structures. These additional configurations explored the effect of
moving the shear walls from the original central location to progressively more dispersed
arrangements. As shown in Figs. 17-c and 17-d (compared to Fig. 14), for the 4x4 structure,
changing shear wall arrangement had minimal effect on overall behavior, as in each case,
collapse of a significant portion of the structure resulted. As shown, it was also found that
separating the shear walls resulted in failure of one of the walls closest to the blast. For the 5x5
structure, however, separating and moving the shear walls to the exterior of the building (which
were placed perpendicular to the facade, to avoid blocking potential fenestration) resulted in
greatly minimizing damage from the blast, and resisted system collapse (Fig. 18-c). Thus, it
appears that shear wall placement may have a significant influence on collapse resistance, but the
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effect is highly dependent on building geometry and component strength. By consideration of
shear wall and charge placement, the models were specifically constructed to locate the blast
charge as far as possible from the shear walls, while attempting to maintain somewhat symmetric
and reasonable wall placement schemes. This was done to minimize the potential shielding
effect from the blast load that the shear walls may provide the columns, and also to minimize the
beneficial effect of placing a high capacity structural element close to the blast source, which can
more readily support the loads redistributed by failed columns. However, these effects cannot be
eliminated completely, and are contributing factors to the performance of shear wall buildings.
A secondary effect of the presence of the shear walls is that they contributed significantly to aid
in blocking falling debris and slabs from striking and damaging the remaining stable components

of the structure.

Effect of Charge Location

To study the effect of charge placement, the 10 story 4x4 structure was again considered.
In this case, two additional analyses were conducted where the 700 kg charge that caused
collapse when placed at the building exterior was progressively moved inward toward the center
of the building. Charges were placed 1 m above the ground level, either 1 m from the center
column or at the center of the corner bay of each structure, as shown in Fig. 19. For the MRF
structures (Figs. 19-a and 19-b), changing charge location had no significant effect on behavior,
where similar, complete collapse behavior resulted regardless of charge position. For the shear
wall structure (Figs. 19-c and 19-d), moving the charge into the center of a corner bay resulted in
a similar level of destruction as the original external charge location. However, when the charge
was placed near the center of the building, insignificant damage to the structural system

occurred. This is because the shear wall, although it experienced complete local removal of
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material by the blast, maintained sufficient resistance in the surrounding material to avoid
collapse. Such a result suggests that a reasonably reinforced bearing wall structure has the

potential to experience greater blast resistance than an equivalent frame structure.

Summary and Conclusions

In this study, the effect of the type of lateral load resisting system on reinforced concrete
structure resistance to progressive collapse when exposed to blast load was examined using an
existing finite element approach. The modeling technique employed was found to reasonably
replicate the collapse behavior of two actual structures subjected to blast demolition for which
data are available. Using this validated modeling approach, fourteen different reinforced
concrete structures were considered for analysis, with five structures designed as moment
resisting frames and nine designed as shear walls systems. Buildings with 3, 6, and 10 stories
with 3, 4, and 5-bay symmetric configurations were considered. Charge weights required to fail
two exterior columns in all structures varied from 340-700 kg, depending on building height,
where lower height structures required the lower charge weights.

Under the blast loads considered, which were sized to just remove two exterior columns,
the 10 story 3x3 and 4x4 MRF structures experienced complete collapse, while the 5x5 building
suffered local damage only. In contrast, the performance of the shear wall buildings was
dependent upon building size and shear wall placement. The 3x3 structure, with shear walls
placed in the core of the building, resulted in complete collapse, with major damage to the shear
walls. Regardless of shear wall placement, the 4x4 building experienced a partial collapse of
approximately half of the structure, where the collapse progression halted at the shear walls. The
5x5 structure resulted in complete, partial, and no collapse, when shear walls were placed at the

core, within middle bays, and within exterior bays of the structure, respectively.
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Building height had little effect on overall performance once two exterior columns failed.
All of the 3, 6, and 10 story MRF buildings resulted in complete collapse, while each of the 4x4
shear wall structures resulted in a partial collapse of approximately half of the building, which
stopped at the location of the shear walls. Another parameter explored was blast location, where
interior as well as exterior blasts resulted in complete collapse of the 4x4 MRF structure.
However, a partial and no collapse resulted for the corresponding shear wall structure when the
charge was placed within an exterior and a core bay, respectively.

Results for all analyses are summarized in Table 2, where the percent of collapsed floor
area (“% collapsed”) and the corresponding collapsed area per charge weight (“CA/TNT”, in
m?/kg) are given. In the Table, models are designated with the bay configuration followed by
height in stories, while labels “a”, “b”, and “c” refer to shear wall configurations as shown in
Figs. 17-b, ¢, and d, respectively, for 4x4 models, and as shown in Figs. 18-a, b, and c,
respectively, for 5x5 models. Finally, labels “i” and “e” refer to analyses where the charge was
placed inside the structure, near the interior (i) and exterior (), respectively, as shown in Fig. 19.
Following the model label, the charge weight used is given in parenthesis (kg). As shown in
Table 2, in terms of percent of floor area lost, all MRF structures except for the 5x5-10 model
resulted in complete collapse, while none of the shear wall structures were fully destroyed.
Although the range of destruction was large (from 1-96% collapsed), the average floor area loss
was approximately 52%, with most values ranging from about 44-63%, substantially less than
the typical 100% loss for corresponding MRF buildings. Correspondingly, average CA/TNT
values were 5.3 for shear wall structures and 8.3 for MRFs, indicating that the MRFs were

subjected to greater damage on an area lost per unit charge weight basis.
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Of all parameters studied, in general, it was found that two were most significant on
reducing potential for progressive collapse under blast loading; building size and shear wall
placement. With regard to building size, as demonstrated in the analyses, larger structures carry
two possible advantages. For building larger in plan, greater redundancy allows for increased
load sharing ability among remaining structural members, potentially limiting surviving member
overload and corresponding failure. For buildings larger in height, the associated increase in
member capacities supply a larger capacity to resist blast load, requiring a larger charge weight
to severely damage the structure. Moreover, as building plan as well as height increases,
additional structural elements are available to allow bridging over damaged areas. With regard
to shear wall placement, overall, it was found that moving the walls as close to the exterior bays
as possible resulted in a greater resistance to progressive collapse. One reason for this is the
associated increase in the moment of inertia of the building plan, allowing the structure as a
whole to more effectively carry unbalanced axial loads caused by damaged columns. Here, with
the exception of a shear wall destroyed by the blast, the progressive collapse generally stopped at
the remaining shear walls.

Based on the results of this study, simply increasing first floor member capacities was
found to be an effective way to significantly increase structural resistance to blast. As shown, for
the structures considered, proportional increases of charge weight resisting ability roughly
mirrored proportional increases in column strength. Along with increases in column strength, a
larger building plan similarly demonstrated enhanced resistance to progressive collapse. Such
construction might be justified architecturally by considering one large structure in favor of
several smaller structures, for example. Second, the use of dispersed shear walls, where walls

are placed in multiple locations near the building exterior, resulted in superior resistance to
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progressive collapse than placing shear walls at the building core. This approach, however, will
likely cause tension between structural and architectural objectives, where one of the latter is
generally to place shear walls inward near the building core. Additional consideration might be
given to constructing a safe room for building occupants adjacent to a shear wall. The practice
of placing stairwells within a shear wall core or adjacent to a shear wall may be ideal, allowing

building occupants a stable passage of escape in the case of a blast emergency.
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Table 1. Material Properties (MPa)

Material Property Concrete  Steel
Compressive strength f'. 27.6 -
Modulus of rupture f, 2.6 -
Modulus of elasticity E 24,800 200,000
Shear modulus G 9,650 11,000
Yield stress f, - 414
Ultimate stress f - 538

Table 2. Summary of Analysis Results

Shear Wall

Model % collapsed CAJ/TNT % collapsed CA/TNT
4x4-3 (340) 50 8.7 100 17.5
4x4-6 (590) 68 6.9 100 10.1
3x3-10 (700) 89 4.2 100 4.8
4x4-10.a (700) 50 4.2

4x4-10.b (700) 63 5.3 100 8.5
4x4-10.c (700) 56 4.8

5x5-10.a (700) 96 12.7

5x5-10.b (700) 44 5.8 0.4 0.1
5x5-10.c (700) 16 2.1

4x4-10.i (700) 0.6 0.1 100 8.5
4x4-10.e (700) 44 3.7 100 8.5
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Fig. 3. Comparisons Between Actual Collapse Results and Simulation: (a) Crabtree Sheraton

Hotel, Raleigh, NC; (b) Stubbs Tower, Savannah, GA
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Fig. 15. Shear Wall and Column Axial Forces as a Function of Time (4x4 SW)
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Fig. 16. Shear Wall Cyclic Dynamic Response as a Function of Time (4x4 SW)
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Fig. 17. Response of 4x4 Shear Wall Structure: (a) 3 Stories; (b) 6 Stories; (¢ & d) 10 Story
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Fig. 18. Response of 5x5 Shear Wall Structures
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Fig. 19. Internal Blast Responses of 4x4 MRF and SW Structures
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